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ABSTRACT 

Small displacement driven steel piles are a very advantageous deep foundation system 
when encountering rock because of the durable nature of steel and their ability to 
penetrate dense materials during the driving process.  However, methods of estimating 
the ultimate toe resistance of these piles in this condition are scarce in design codes.  This 
thesis attempts to address this lack of guidance by inspecting various design techniques 
of determining ultimate toe capacity of these types of piles and comparing them to field 
measured values. 
 
Methods of determining pile toe capacity for both small displacement driven steel piles 
and drilled sockets were collected. Working in conjunction with a local consulting firm, 
records of previous pile driving sites were collected.  A process to determine quality data 
for use in this work was developed by the author including information from geotechnical 
site investigations, pile driving records and pile driving analysis (PDA) records. 
 
By plotting unconfined compressive strength of rock versus measured ultimate pile toe 
capacity of these piles, a best fit line of 7.5qu and a series of confidence intervals were 
established for the site records.  This best fit line was compared to all of the previously 
reviews design methods for calculating ultimate pile toe capacity.  It was found that most 
of the methods for drilled sockets were overly conservative when applied to small 
displacement driven steel piles; this was expected as the presence of rock discontinuities 
tends to have a stronger effect on drilled caissons.  An author reinterpretation of the 
method developed by Ladanyi and Roy (1971), justified by the difference in influence in 
rock discontinuity on pile toe capacity, showed good agreement with the measured field 
data.  The most effective existing method was determined to be that of Rehnman and 
Broms (1971), as it was the only method developed for small displacement driven steel 
piles. 
 
Data points not previously used in the filtering process (because of lack of rock strength 
testing) was then used in an attempt to verify the best fit of the data previously developed 
by the author.  Ranges of rock strength estimated from the rock descriptions were used in 
this process.  It was found that the best fit and confidence limits developed by the author 
adequately predicted the pile toe capacity, at least from a design perspective.  A pile case 
from Masumoto (1995) was also investigated, but it provided less promising results, 
likely due to the very low rock strength of the case. 
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CHAPTER 1 INTRODUCTION 

1.1 GENERAL 

Deep foundations become necessary for construction sites where the near surface soils 

provide inadequate support for the structural loads present.  They may also be required 

for structures adjacent to bodies of water that can cause scouring or undermining of 

foundations or for cases where uplift resistance is required from the foundation (Coduto, 

2001).   

Although there are many various forms of deep foundations, the resistances 

afforded by these foundations are usually developed from the side frictional resistance 

and toe resistance.  Shaft friction is developed from the association of the soil or rock 

along the length of the pile; meanwhile toe resistance is developed from the soil shear 

capacity at the toe of the pile structure.  Mathematically, this ultimate resistance capacity, 

Pu, can be expressed as (Coduto, 2001): 

 

[1]   

 

Where: 

Pu = ultimate pile capacity (F) 

fs = ultimate unit side friction resistance (F/L2) 

As = side friction area (L2) 

qt = ultimate toe bearing resistance (F/L2) 

At = toe bearing area (L2) 

Wp = weight of pile (F) 

 

Using steel driven piles for deep foundation design has a number of benefits.  In the 

Halifax area, much of the soil conditions consist of different varieties of glacial tills.  

These tills contain a high percentage of gravel and also contain frequent boulders (Lewis 

et. al., 1998).  In many parts of Canada, glacial till is quite common as well (Legget, 

1976).  Coduto (2001) explains that concrete piles are not capable of being driven where 
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difficult driving conditions are present, while augering is difficult where cobbles or 

boulders are present.  Steel piles, especially H-piles and open ended pipe piles, are 

characterized as small displacement piles.  The small displacement of soil during driving 

allows gravel and cobbles to be displaced and hence make the use of these small 

displacement durable steel piles desirable. 

Coduto (2001) also explains that since steel is much stronger in tension than any 

concrete substitute, steel piles are essential for any design requiring large tensile loads.  

Steel piles are also very easy to cut and to splice through welding or special steel splicers, 

making it very easy to change the pile lengths required for sites with changing geological 

conditions.  The three major rock formations in the Halifax region, which also extend to 

cover a major portion of peninsular Nova Scotia, are characterized by sloping caused by 

erosion by rivers and glaciers (Lewis et. al., 1998).  This has a profound effect on the 

deep foundation method selected as uneven bedrock and potential shallow rock 

formations will likely be encountered.  These again are conditions that favor the usage of 

steel piles (Coduto, 2001).  

One issue associated with the usage of small displacement steel piles driven to 

rock is that there are few empirical or theoretical design methodologies available.  This 

can likely be attributed to difficulties in determining precise in-situ rock details and the 

complexities of pile and rock interactions.  This has led to driven small displacement 

steel piles into rock being largely ignored in multiple design codes. The American 

Federal Highway Administration (FHWA, 1998) simply states that “determination of 

load capacity driven piles on rock should be made on basis of driving observations, local 

experience and load”.  For design purposes, empirical methods are used for estimation of 

steel driven pile capacities, but not without extensive field testing to ensure that these 

capacities are met.   

1.2 RESEARCH OBJECTIVES 

As mentioned in the previous section, the toe capacity of driven small displacement steel 

piles is not a major focal point of design codes. The overall purpose of this thesis is to 

review all known methods of estimating toe capacity of low displacement driven steel 
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piles in order to recommend the most appropriate and accurate method of estimating this 

ultimate pile toe capacity.  It is hypothesized that through the knowledge of geotechnical 

site information, including rock strength, pile depth and “complete” pile details, that the 

toe capacity can be adequately predicted with some level of reliability. 

To achieve these goals and investigate the hypothesis, this thesis was organized 

into a series of chapters.  Chapter 2, entitled “Literature Review”, reviews all existing 

theories and methods associated with driven pile capacity. A collection of empirical and 

theoretical approaches of estimating capacity of drilled pile capacities, that may or may 

not be appropriate for driven steel piles, is also reviewed.  The process of measuring pile 

resistance in the field is also outlined in Chapter 2 as it is important to understand the 

field process used to obtain the majority of the data in this research (i.e. Pile Driving 

Analyzer).  Chapter 3, entitled “Data Collection”, reviews the developed progression of 

acquiring, screening and compiling previous site data in order to analyze these methods.  

Chapter 3 outlines the developed data collection process in its entirety.  It lists the 

documentation required to proceed with the gathering of data and also describes the 

parameters that are considered essential to complete a data set.  Lastly, Chapter 3 presents 

the data to be examined throughout this thesis.  Chapter 4, entitled “Results and 

Discussions”, compares the data set developed from the screening process and compares 

it to the empirical and theoretical relationships presented in Chapter 2 for toe capacity 

estimation in rock.  Lastly, Chapter 5, entitled “Comparing Empirical Relationships to 

Other Data Sources”, uses data excluded from the database created in Chapter 3 and data 

from literature in an attempt to verify the best fit method developed in Chapter 4. 
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CHAPTER 2 LITERATURE REVIEW 

2.1 ULTIMATE BEARING RESISTANCE OF PILES IN ROCK: AVAILABLE 

THEORIES 

Unlike soil, rock is typically brittle and its failure in shear is a function of both the rock 

properties and the discontinuities that exist in the rock mass.  Brittle materials are very 

complex; they depend heavily on a system of micro-cracks throughout the material and 

thus there exists no mathematical formula for this behavior (Pells and Turner, 1978).  For 

this reason, many rock failure theories assume rock to have a plastic failure because its 

peak failure envelope is often curved (Pells and Turner, 1978).  When assumed to be 

plastic, rock follows the Mohr-Coulomb failure criterion (Pells and Turner, 1978).  The 

Mohr-Coulomb rupture failure criterion can be seen as follows (Meyerhof, 1951): 

 

[2]   

 

Where: 

τ = shear stress (F/L2) 

c = cohesion (F/L2) 

σ = normal stress on failure plane (F/L2) 

Another strength failure theory is that developed by Griffith, as discussed in 

Coates (1981).  This theory is based on fracture mechanics, and deals with mechanics of 

all material properties.  For rock structures, Griffith’s Failure Theory is based on the 

presence of microscopic cracks in a rock material, of which concentrations of stress can 

exist.  When loaded, these cracks can propagate, inducing material failure.  Griffith’s 

failure theory can be described as follows in equation 3, as seen in Coates (1981): 
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[3] 

Terzaghi (1943) used the Mohr-Coulomb failure criterion to describe the ultimate bearing 

capacity of a strip footing foundation, which can be seen as follows: 

 

[4]   

Where: 

q = ultimate bearing capacity (F/L2) 

p = overburden pressure (F/L2) 

γ = unit weight of soil (F/L3) 

W = width of foundation (L) 

Nc = bearing capacity factor 

Nq = bearing capacity factor 

Nγ = bearing capacity factor 

 

Pells and Turner (1978) explain that cohesion has vastly superior effects on the 

Terzaghi (1943) equation for rock materials. Since the cohesion element is considered 

much larger than the other parts of this equation, the other parts can be considered 

negligible and this formula can be condensed into (Pells and Turner, 1978): 
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[5]   

Where: 

[6] 
 

 

 

N  = bearing capacity factor 

 

Meyerhof (1963) explains that that the bearing capacity for a circular or square 

foundation can be found by multiplying the bearing capacity of a strip footing by a set of 

modification factors.  For the cohesion portion of the equation 4, the factor is as follows 

(Meyerhof, 1963): 

 

[7]   

Where: 

sc = circular bearing capacity factor 

l = foundation length (L) 

 

Meyerhoff (1963) also explains that the bearing capacity of a foundation also can 

be affected by the shearing resistance of the soil above the foundation level.  Again, this 

can be taken into account by multiplying equation 4 by a series of factors.  The factor for 

the cohesion portion of the Terzaghi (1943) formula is as follows: 

 

[8]   

Where: 

dMc = Meyerhof (1963) depth factor 

D = depth of foundation (L) 



7 

 

2.1.1 Bell (1915) Solution 

In 1915, Bell devised a method to approximate ultimate bearing capacity based on the 

unconfined compressive strength of rock.  This method examines a foundation placed on 

a smooth surface.  It assumes that the rock below the foundation is in a Rankine active 

state and that the rock immediately surrounding this area is in a Rankine passive state 

(Pells and Turner, 1978).  When there is no surcharge above the passive zone, this leads 

to a stress state equation of (Pells and Turner, 1978): 

 

[9]   

 

Where: 

σ1 = major principal stress  

σ3 = minor principal stress  

 

For most footings on rock, the minor principal stress, which in this case represents the 

body force due to gravity, can be represented by equation 10 (Pells and Turner, 1978).   

 

 

When considering equation 10 with the Mohr-Coulomb failure theory, this leads to an 

approximate bearing capacity in the active zone as described by Bell (1915) as seen in 

equation 11 (Pells and Turner, 1978). 

  

[11]   

Where: 

qu = average unconfined compressive strength of rock (F/L2) 

 

[10]   
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2.1.2 Coates (1981) 

Coates (1981) performed a similar analysis to Bell (1915), except that it was assumed 

that the rock conforms to the Griffith’s Failure Theory. Pells and Turner (1978) explain 

that for this method, equation 9 becomes: 

 

[12]   

 

Through looking at wedge analysis, an equation for ultimate bearing capacity can be 

produced as shown in equation 13 by substituting equation 12 into Griffith’s Failure 

theory (Pells and Turner, 1978). 

 

[13]   

 

2.2 SEMI- EMPIRICAL EQUATIONS TO PREDICT TOE CAPACITY OF SMALL 

DISPLACEMENT, STEEL PILES DRIVEN TO ROCK  

2.2.1 Rehnman and Broms (1971) 

Rehnman and Broms (1971) developed a method to estimate the tip resistance of a steel 

pile driven into rock, directly based on the rock’s unconfined compressive strength.  

Rock samples of granite, limestone and sandstone were encased in steel cylinders and 

surrounded by cured concrete prior to coring via an air hammer.  The holes were filled 

with a rod of the same diameter.  The air hammer was used to simulate the pile driving 

process.  After compiling the laboratory results and unsuccessfully comparing results to 

both Mohr-Coulomb and Griffith failure criteria, Rehnman and Broms (1971) compared 

the ratio of ultimate toe bearing resistance (qt) to average unconfined strength of the rock 

(qu) tested.  From the experimental data, it was found that the average ratio of qt/qu was 

6.2 for granite, 5.2 for limestone and 4.8 for sandstone (Rehnman and Broms, 1971).  

After comparing the results with different failure theories, Rehnman and Broms (1971) 

found that the results for the most brittle rocks (i.e. limestone and granite) most 

resembled that of the Griffith’s Failure Theory (Rehnman and Broms, 1971) but under-
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predicted capacities by 50%.  The more ductile sandstone was better predicted with 

Mohr-Coulomb.  Rehnman and Broms (1971) went further and suggested that the 

ultimate toe capacity of driven piles on flat rock surfaces with minimal embedment could 

be predicted empirically using equation 14:   

 

[14]   

 

This range of 4 to 6 was based on the experimental results of 4.8 to 6.2 and takes into 

consideration the range of rock strengths.  Through work in the Atlantic provinces, local 

practice suggests that qt be limited to 225MPa, which essentially related to the strength of 

steel (MacNeill, personal communication, 2010).  

2.3 EQUATIONS FOR PREDICTING TOE CAPACITY OF SOCKETED CONCRETE 

PILES DRILLED INTO ROCK  

2.3.1 Ladanyi and Roy (1971) 

Ladanyi and Roy (1971) introduced a method for evaluating the toe capacity of drilled 

piles, developed through the use of plasticity theory.  The method takes into 

consideration both the nature of the rock and the depth of embedment of the pile in this 

rock.  Although not intended for use with driven steel piles, the lack of design 

methodologies of piles driven into rock often results in its use in Canada (MacNeill, 

personal communication, 2010).  

This original equation presented by Ladanyi and Roy (1971) is shown in equation 

15.  The equation attempts to theoretically describe experimental lab testing the authors 

(i.e. Ladanyi and Roy, 1971) were producing.  This work included a series of penetration 

tests in a solid rock sample with varying embedment depths.  From their testing, they 

found that a bulb of crushed rock formed immediately below the cylindrical load.  

However, when the cylindrical load was embedded in the rock, radial cracking 

surrounded this bulb.  This method combines the work of Bell (1915) as seen in equation 

11 and the depth factor developed by Meyerhof (1963) as seen in equation 8.  
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[15]   

   

Where: 

Kp = active earth pressure 

dc = Ladanyi and Roy (1971) depth factor 

 

The depth factor used by Ladanyi and Roy (1971) differs slightly from that of Meyerhof 

(1963) and can be seen in equation 16. 

 

[16]   

where: 

Ls = depth (length of socket) (L) 

Bs = diameter of socket (L) 

 

The original form of Ladanyi and Roy (1971) depended highly on the friction angle of 

rock.  The passive earth pressure depends only on the friction angle of rock, while the 

depth factor is also very dependent on this parameter.  More recent literature presents the 

work of Ladanyi and Roy (1971) much differently.  Equation 17, as listed in the 

Canadian Foundation Engineering Manual (CFEM , 2006) is as follows: 
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[17]   

 

Where: 

 

[18]   

 

Ksp = an empirical coefficient, based on rock discontinuity aperture and spacing and pile 

diameter 

d = CFEM (2006) depth factor 

FS = factor of safety 

 

This equation typically requires a factor of safety of 3, but this factor of safety can range 

as high as 10 (CFEM, 2006).  The Ksp variable relates to a relationship between spacing 

and aperture of rock discontinuities with respect to footing width rather than using a 

passive earth pressure constant dependent on friction angle.  Table 1 below provides 

estimated values of Ksp based on a discontinuity spacing description (CFEM, 2006).   

 

Table 1  Coefficients of discontinuity spacing (CFEM, 2006) 

Discontinuity Spacing 

Description Distance (m) Ksp 

Moderately Close 0.3 to 1 0.1 

Wide 1 to 3 0.25 

Very Wide >3 0.4 

 

Equation 19 and Figure 1 below (CFEM, 2006) can be used to calculate Ksp if sufficient 

information is known. 

 

 



12 

 

[19] 
 

 

Where: 

C = spacing of discontinuities (L) 

δ = aperture of discontinuities (L) 

valid for: 0.05 < C/Bs < 2.0 and 0 < δ/C < 0.02  

 
 

Figure 1 Ksp values for typical aperture widths and discontinuity spacing (CFEM, 2006) 

 

Ladanyi and Roy (1971) state that the depth factor equation “predicts a linear 

increase of lower bound resistance with the depth of embedment, but is obviously 

acceptable only at shallow depths, not exceeding 5 or 6 diameters of the punch.”  A 

further examination of this “5 or 6 diameters of the punch” with the original depth factor 

of “dc” is shown below in Figure 2.  This graph shows that for ranges of common friction 

values for rock, varying factors of L/B ranging from 0 to 5 produce values of “dc” of a 

minimum of 1 to a maximum of around 3.  It is likely this practicality of limited “dc” was 

introduced into the design approach later in the CFEM (2006). 
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Figure 2  Values of dc with respect to friction angle 

 

A practical problem with equation 19 is that aperture and spacing are not 

frequently measured in typical geotechnical investigations.  These measurements can be 

very tedious and would require measurements in a very specific area of the site (i.e. 

exactly where foundation tip would be loaded).  One method to estimate the value of Ksp 

for typical geotechnical projects is through the use of the commonly measured RQD 

(rock quality designation) which was developed by Deere (1963) for tunneling through 

rock.  The RQD parameter has since been adapted for rock classification purposes.  For 

RQD to be properly defined, a core length of at least 100 mm must be retrieved.  Deere 

and Deere (1988) define RQD as a means of describing the percentage of sound rock in a 

given borehole, which is calculated by: 

 

[20] 
 

 

 

where: 

RQD = Rock quality designation (%) 
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Since RQD includes no measurement in aperture or spacing of rock joints, there is no 

direct relationship between RQD and these parameters.  A study by Priest and Hudson 

(1976) developed a method in order to statistically estimate mean discontinuity spacing 

of rock joints through RQD measurements using a negative exponential distribution of 

data.  It was found that when the average number of discontinuities per meter was 

between 6 and 16, equation 21 could be used to estimate the average number of 

discontinuities, λ . When “λ” is not between 6 and 16, using equation 22 with trial and 

error was proven to be more reasonable. 

 

[21] 

 

[22] 

  

 

   

 

 

where: 

λ = average number of discontinuities per meter (L-1) 

 

To calculate the average discontinuity spacing, the inverse of this “λ” value can be taken 

to produce the discontinuity spacing in meters. 

2.3.2 Rowe and Armitage (1987) 

Rowe and Armitage (1987) developed an empirical relationship similar to Coates (1981) 

and Rehnman and Broms (1971).  This equation is empirically based on the static load 

testing (to be discussed later) results of 12 socketed piles in soft rock from three separate 

papers and can be seen below: 

 

[23]   

 

Rowe and Armitage (1987) reference Hovarth et. al. (1983) who presented static load 

testing results for a mudstone with an unconfined compressive strengths ranging from 4.7 

to 11.1 MPa.  The two load tests recorded from this article had yet to exceed the elastic 

region of the load-displacement curve and hence the ultimate socket resistance was not 
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reached; the two load tests were terminated at 0.96qu and 1.35qu.  Another article 

referenced in Rowe and Armitage (1987) is that of Glos et. al. (1983).  This article looked 

at two load tests on soft shaley sandstones with unconfined compressive strengths of 8.4 

MPa and 9.3 MPa.  These tests contained load displacement curves that had moved into 

the plastic zone, but finished with the curve still rising steeply; terminating at 0.95qu and 

1.25qu respectively.  The third article referenced is that by Williams (1980) contained 8 

pile load test results demonstrated piles yielding at 1.4qu to 2.5qu, with pile load testing 

ending between 2.5qu and 10.5 qu.  Overall, it can be seen that this method may be a good 

conservative relationship to use in design of socketed piles. 

2.3.3 Zhang and Einstein (1998) 

Zhang and Einstein (1998) developed an empirical method similar to that completed by 

Rowe and Armitage (1987) for drilled sockets into rock.  They compiled a collection of 

39 pile load tests found in the literature, including two of the three sources used in Rowe 

and Armitage (1987) but excluding Hovarth et. al. (1983).   The majority of these cases 

were for sockets on weak rocks.  Zhang and Einstein (1998) plotted the best fit line 

through these data points to produce the following equation: 

 

[24]   

 

The value of 4.83 in this equation is an average value, with a conservative upper bound 

solution of 6.6 and a lower bound solution of 3.0.   

2.3.4 Hoek and Brown (1980) 

Another method for designing for toe resistance of drilled sockets in a jointed rock 

formation has been developed by Hoek and Brown (1980).  They used their theoretical 

and experimental experiences to develop an empirical relationship as follows: 
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[25]   

Where: 

m = factor based on rock properties (see discussion below) 

s = factor based on rock properties (see discussion below) 

 

Hoek and Brown (1980) explain that “m” and “s” are empirically defined constants based 

on rock properties.  Carter and Kulhawy (1988) describe these factors as analogous with 

“c” and “ ” in the Mohr-Coulomb rupture failure criterion (equation 2).  Carter and 

Kulhawy (1988) also note that equation 25 closely resembles that by Bell (1915) as seen 

in equation 9.  O’Neill and Reese (1999) have developed an empirical method to 

calculate bearing capacity from the Hoek and Brown (1980) solution as follows:  

 

 

where: 

 

[27]   

 

The values for the terms “m” and “s” in this equation can be found in Table 2 and Table 3 

depending on rock type and description.  Usually equation 26 is not seen in the form 

listed with the term α, however this term has been introduced in this manner as a simple 

way of investigating this central term to compare this method to that of Rehnman and 

Broms (1971).  These values of “α” that were evaluated by the author can also be seen in 

Table 3. 

 

 

 

 
 

 

 

[26]   
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Table 2 Rock description (after O’Neill and Reese, 1999). 

Rock or Intermediate 
Geomaterial Type Description 

A Carbonate rocks (e.g. dolostone, limestone, marble) 

B Lithified argillaeous rocks (e.g. mudstone, siltstone, shale, slate) 

C Arenaceous rocks (e.g. sandstone, quartz) 

D Fine grained igneous rock (e.g. andesite, dolerite, diabase, rhyolite) 

E Coarse grained igneous and metaporphic rock (i.e. amphibole, gabbro, 

gneiss, granite, norite, quartz diorite) 

 

Table 3 Values for m and s for rock description (after O’Neill and Reese, 1999). 

Quality    
of Rock 

Joint 
Description 

Joint 
Spacing S 

m (α)    
Type 

A 

m (α) 
Type 

B 

m (α)    
Type 

C 

m (α) 
Type 

D 

m (α)    
Type 

E 

Excellent Intact >3m 1 
7 

(3.83) 

10 

(4.3) 

15 

(5) 

17 

(5.23) 

25 

(6.1) 

Very 

Good 
Inter-locking 1-3m 0.1 

3.5 

(1.41) 

5 

(1.61) 

7.5 

(1.89) 

8.5 

(1.99) 

12.5 

(2.33) 

Good 
Slightly 

Weathered 
1-3m 4x 10-2 

0.7 

(0.62) 

1 

(0.69) 

1.5 

(0.78) 

1.7 

(0.82) 

2.5 

(0.93) 

Fair 
Moderately 

Weathered 
0.1-1m 10-4 0.14 

(0.05) 

0.2 

(0.06) 

0.3 

(0.07) 

0.34 

(0.07) 

0.5 

(0.08) 

Poor Weathered 
30-

50mm 
10-5 0.04 

(0.01) 

0.05 

(0.02) 

0.08 

(0.02) 

0.09 

(0.02) 

0.13 

(0.02) 

Very Poor 
Heavily 

Weathered 
<50mm 0 

0.007 

(0) 

0.01 

(0) 

0.015 

(0) 

0.017 

(0) 

0.025 

(0) 

 

As can be seen above in Table 3 above, Rehnman and Broms (1971) is only comparable 

to Hoek and Brown (1980) for rock qualities considered “excellent”.  For any rock 

qualities weaker than “excellent”, this “α” is significantly smaller than the Rehnman and 

Broms (1971) range. 
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2.4 FIELD MEASUREMENT OF PILE TOE CAPACITY 

2.4.1 Pile Load Testing 

Quality assurance is an integral part of any engineering project and the same holds true in 

pile driving projects.  On typical pile driving projects, at least one pile is tested to ensure 

that its resistance is at least greater than the resistance for which it has been designed.  

Static load testing is the most reliable method to measure pile capacity, but it is also an 

expensive and time consuming method (CFEM, 2006).  Whitaker (1976) explains the 

various pile load testing methods available.  Usually a known load is applied in stages via 

a hydraulic jack and the vertical deformation of the pile is recorded for each increase of 

load.  Depending on the specification for the project, the pile will be loaded to some 

factor above the design load or loaded to its ultimate capacity. 

 There are many different ways to interpret the ultimate capacity of a pile from a 

load test.  One such interpretation method developed by Davisson (1973) is known as the 

offset limit load.  This offset distance can be seen in equation 28, as described by 

Fellenius (2011). 

 

[28]   

Where: 

x = horizontal offset movement from initial elastic portion of load deflection curve (mm) 

B = pile base diameter (mm) 

 

This is the horizontal offset from the initial slope of the elastic portion of the load (P) 

versus pile base movement (Δ) curve for the load test which is given by equation 29. 
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[29] 
 

 

Where: 

P = pile load (F) 

E = elastic modulus of pile (P/L2) 

Δ = movement of pile base (L) 

A = cross sectional area of pile (L2) 

L = length of pile (L) 

 

The ultimate load of the pile is defined by where this offset line passes the load-

movement curve as seen in Figure 3. As noted from this figure, it is important to load the 

pile to adequate vertical deformation to ensure the pile has mobilized its full resistance.  

As you can see in Figure 3, if the displacement (or movement) was not large enough, the 

ultimate load resistance could not have been determined. 

 

 
Figure 3 Sample Davisson method plot (CFEM, 2006)  
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There are many other methods that can be used to determine pile load capacity by 

interpreting pile load testing results. Fellenius (1980) provides a comparison of these 

methods. 

2.4.2 Pile Driving Analyzer (PDA) 

A common way of estimating the ultimate capacity of a pile is via a Pile Driving 

Analyzer (PDA). When the pile driving hammer makes contact with the pile, the stress 

wave from the impact is transferred through the pile in the form of a compressive strain 

wave (Fellenius, 2011).   This wave propagates through the pile at the speed of sound 

until it arrives at the pile toe (Fellenius, 2011).  When encountering the pile toe, the wave 

is then reflected back up the pile.  The displacement of the pile as a result of this wave 

propagation can be described using the one dimensional wave equation in the form of a 

double derivative as found in Coduto (2001) and as shown below in equation 30:  

 

[30] 
 

 

 

Where: 

z = depth below ground surface (L) 

t = time 

u = displacement of the pile at depth z (L) 

ρ = density of pile material (M/L3) 

 

There are many interactions that can influence the development of the wave as it 

transfers through the pile. This may include that between the hammer, cap and pile and 

those between the soil and pile.  These lead to very complex boundary conditions 

associated with pile driving.  Coduto (2001) discusses the steps that Smith (1962) took to 

develop numerical methods for solving the wave equation in equation 30, taking into 

consideration all of these factors.  Smith (1962) separated the individual elements of the 

pile driving system into a series of weights, linear dashpots and springs, as shown in 

Figure 4.  The constant known as quake (Q) describes the displacement of the soil 
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required to mobilize full plastic resistance of the spring (Fellenius, 2011).  The Smith 

damping factor (J) can be described by the linear relationship between the dashpot 

resistance and the velocity (Coduto, 2001).  Graphical representations of quake and Smith 

damping can be seen in Figure 5.  

 
  Figure 4 Smith numerical methods model (Coduto, 2001) 

 
Figure 5 Graphical explanation of quake and Smith damping (Coduto, 2001) 
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This pile driving wave theory can be analyzed using pile driving analyzer (PDA) 

technology along with the computer program PDA-W in order to measure pile resistance 

(Pile Dynamics, Inc., 2004).  Setup and running a PDA test takes minimal time compared 

to pile load testing methods.   PDA is comprised of a series of accelerometers and strain 

gauges which are attached to the pile.  These gauges are then connected to a computer on 

site that is used to record these gauges during the pile driving process.  As described by 

Fellenius (2011), the gauges are able to read both the force and velocity wave 

propagation through the pile for each blow of the hammer.  An equation derived directly 

from the one dimensional wave equation specific for pile driving, as found in Fellenius 

(2011), can be seen below in equation 31, while equation 32 defines the velocity of the 

compressive wave.  The force and velocity waves are related through a pile material 

constant called impedance, as shown in equation 33 (Fellenius, 2011).  The definition of 

pile impedance itself is described in equation 34 (Fellenius 2011). 

 

[31]   

 

Where: 

v = particle velocity in pile (L/t) 

σ = stress in pile (F/L2) 

cv = velocity of compressive wave in pile (L/t) 

and: 

 

[32] 
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[33]   

 

Where: 

F = force in pile (F) 

 

[34] 
 

 

Where: 

Z = pile impedance (F*t/L) 

 

Plots of the measured velocity and force wave versus time can be uploaded to 

PDA-W for each hammer blow in the pile driving process.  These wave trace plots assist 

in describing resistances within the pile.  A key time on these plots is 2L/cv, which is the 

time it takes for a wave to travel to the toe of the pile and be reflected back.  An example 

of these wave traces can be found in Fellenius (2011) and from Hannigan (1990), as 

shown in Figure 6.  These three different plots show wave movement through three 

different types of piles.  The top plot shows a case with minimal shaft or toe resistance, 

which would describe a pile in the early stages of pile driving.  The second plot 

demonstrates a pile with large toe resistance; this is represented by a large spike in the 

force wave at time 2L/cv.  The bottom plot displays a pile with large shaft resistance 

which is evident by a gradual buildup in the force wave before the time 2L/cv because the 

wave is being reflected as it travels down the pile.   
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Figure 6 Sample PDA-W wave plots. (Hannigan, 1990). 

 

2.4.3 Case Pile Wave Analysis Program (CAPWAP) 

For more detailed results, PDA-W files can be analyzed through a program called Case 

Pile Wave Analysis Program (CAPWAP) by Pile Dynamics Inc. (2000) to break down a 

more precise estimation of ultimate pile resistance, including shaft and toe resistances.  

This analysis cannot be properly performed in the field as it requires a complete PDA-W 

file to perform. 

For this program, a single wave plot from the series of PDA-W plots is selected.  

This plot should be a good representation of the overall data collected for the period of 

interest (Pile Dynamics, Inc. 2000).  The purpose of using PDA-W is to present a plot of 

the measured waves travelling through the pile for each strike of the hammer.  CAPWAP 

presents the best match of a theoretical wave plot (by solving the equation with the 
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appropriate boundary conditions) to the measured wave plot (Pile Dynamics, Inc., 2000).  

A sample of a plot with good matching data can be seen below in Figure 7.  In this plot, 

the solid line represents the measured force plot from PDA-W while the dotted line is the 

theoretical plot developed in CAPWAP.  

 

 
 

Figure 7 Sample CAPWAP plot matching 

 

Attempting to achieve the best wave plot match in CAPWAP is an iterative 

process.  Once the initial estimated values for shaft resistance have been entered, initial 

values for quake and damping must be estimated.  The goal is to attain the best match 

quality possible, where the match quality is a number describing the overall match of all 

plots associated with the wave data (Pile Dynamics Inc., 2000).  The estimated shaft and 

toe resistance along the pile must be changed along with a series of parameters used to 

describe the wave propagation.  In the software, a list of CAPWAP variables are varied 

within limits as a means to provide a best fit in the plot matching process.  This process 

should begin by altering the damping and quake constants, because these parameters have 

the largest effect in the first 2L/cv of the wave plot (Pile Dynamics Inc., 2000).   

An interesting study comparing predictive pile capacity methods was performed 

by Long et al. (2002).  This study compared the accuracy of many different methods of 

estimating pile capacity.  It compares these methods for both end of initial drive (EOID) 

and beginning of restrike (BOR) conditions.  Driven steel piles are often monitored at 
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two different stages of driving.  Initial driving is used to monitor pile integrity and stress 

changes during driving while restrike driving provides a much more relevant estimate on 

pile toe capacity (Fellenius, 2011).  The methods analyze in Long et. al. (2002) included 

pile driving formulas, PDA, CAPWAP and other wave equation analysis methods.  Long 

et al. (2002) examined various data sources to create plots of measured (i.e. from pile 

load tests) versus predicted resistances for each of the estimation methods, for both initial 

drive and restrike conditions.  For initial drive conditions, PDA, CAPWAP and two other 

wave equation methods measured the pile capacity at nearly the same accuracy, all under-

predicting capacity by an average of 44 to 46 percent.  When restrike conditions were 

considered however, CAPWAP was the best at measuring actual pile capacity. 

2.4.4 Factors Affecting PDA Field Measurements 

An article by Rausche et al. (1985) discusses the dynamic wave mechanics in pile driving 

and how it is expanded through the program CAPWAP.  In this article, the combined 

usage of PDA with CAPWAP is compared to static load testing.  This article discusses 

CAPWAP results, saying that the pile resistance must be fully mobilized during driving 

to properly measure the ultimate pile resistance.  This means that the hammer being used 

must provide an energy sufficiently large enough to mobilize the entire pile.  For 

example, if the energy subjected by the hammer is too small, the pile may be able to 

resist the entire load of the blow and additional load and result in no movement.  The 

Federal Highway Administration (FHWA, 2006) also mentions this criteria and states 

that because pile resistances are often not fully mobilized, CAPWAP ultimate load data 

tends to be conservative and the pile ultimate loads are often much higher.  Both of these 

publications suggest that a pile may not be fully mobilized is if it takes more than 10 

hammer blows to drive the pile 25mm.   

One other technical aspect of pile driving that must be considered is the 

differentiation between EOID and BOR pile driving results.  A problem associated with 

measuring pile resistance with the use of PDA is relaxation or setup.  CFEM (2006) 

discusses the causation and problems associated with relaxation.  Relaxation can occur in 

non-cohesive silts and dense sands because pile driving induces negative pore water 

pressures.  These negative pore pressures can cause the soil to dilate, causing apparent 
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increases in measured pile resistances over time.  Once these pore pressures dissipate, 

these resistances can become much smaller.  This dilation has a more significant effect on 

smaller piles than larger piles (Randolph and Gourvenec, 2011).  Morgano and White 

(2004) discuss that this same phenomenon can occur in piles driven to rock.  Morgano 

and White (2004) found that tested piles lost up to 50% of their strength from initial drive 

to restrike.  For this reason it is highly recommend that piles in highly weathered soft 

rock be tested by restrike a minimum of 1 to 3 days after the initial drive.  Also, only the 

first few hammer blows should be considered for PDA measurements.  There are also 

circumstances where the soil surrounding a pile can actually become stronger over time; 

this process is called set-up.  CFEM (2006) explains that set-up can occur in saturated 

sands and silts through temporary liquefaction.  This liquefaction can be induced by pile 

driving and reduces the driving resistance of the pile.  Randolph and Gourvenec (2011) 

explain that this phenomenon can also occur in soft clays where excess positive pore 

water pressures can surround the pile.  In both cases, the ultimate pile resistance increases 

with time as the pore water pressures dissipate.  According to Axelsson (2002), set-up 

can occur for years and has a rate of about 40% per log cycle of time. 

2.5 SUMMARY AND CONCLUSIONS 

 Several empirical and theoretical methods associated with estimating the ultimate 

toe capacity of steel driven piles have been discussed in this chapter.  Only one method 

(Rehnman Broms, 1971) was found to estimate the ultimate base capacity of steel driven 

piles.  However, there were several methods found to predict the ultimate toe capacity of 

drilled sockets.  These methods include those by Bell (1915), Coates (1981), Rowe and 

Armitage (1987), Zhang and Einstein (1998), Ladanyi and Roy (1971) and Hoek and 

Brown (1980).  It is believed by the author that these methods are applicable because of 

the common nature of steel driven piles and drilled sockets, however the relationships for 

sockets will likely prove to be more conservative when applied to small displacement 

driven steel piles.  This comes from the fact that the bases of drilled sockets tend to be 

affected more by the presence of rock discontinuities. 
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 This chapter also investigated the different manners that pile capacities can be 

measured in the field.  It was discussed that static load testing is the preferred industry 

standard, but due to financial and time constraints that methods using wave analysis, 

including the usage PDA-W and CAPWAP, are considered acceptable in practice and 

referenced in many design codes and foundation design manuals.  
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CHAPTER 3 DATA COLLECTION 

3.1 DATA COLLECTION REQUIREMENTS 

As stated in Chapter 1, the purpose of this thesis is to use actual PDA data to develop toe 

capacity prediction methods for driven steel piles to rock.  This process involved the 

review of hundreds of geotechnical and PDA reports from Stantec Consulting Ltd. in 

Dartmouth, NS.  For this thesis, it was determined that quality data would be valued for 

this research over quantity.  This required the development of a defined data collection 

procedure.  Data that did not meet minimum requirements were not used in the 

formulation of the work.  As will be shown in this chapter, the result of these minimum 

“standards” was a reduced amount of data to examine. 

A three step data collection process was developed to carry out the research 

presented in Chapter 4.  The three steps of data collection are described below in the 

order that they were normally completed.  The data collection process worked most 

efficiently when followed in this order, as it represents the hierarchy of importance in this 

data collection method.   

3.1.1 Pile Type and End-Bearing Conditions 

The focus for the research was small displacement, steel piles, so only sites using steel 

driven H-piles and open ended steel pipe piles were considered.  It was also required that 

piles on these sites were driven to rock.  The rock conditions were generally of the 

weaker variety (i.e. sedimentary) to ensure full pile mobilization.  This included sites 

with mudstone, shale, slate, gypsum or sandstone bedrock conditions. 

3.1.2 PDA Report Requirements 

The first step in data collect was to obtain past PDA reports for various job sites 

containing small displacement, driven steel piles. Reports considered “acceptable” for 

data collection provided details of all piles that were tested on the sites.  Each pile tested 

was listed by the pile name, type and size.  Information on the hammer being used and 

the energy put into the pile driving process were also included.  The amount of blows per 
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25 mm was considered an important piece of information in these reports because piles of 

approximately 15 blows (or fewer) per 25 mm of pile penetration into rock were 

considered fully mobilized. Garland Likins, a specialist in pile dynamics and one of the 

co-authors in Rausche et al. (1985), was contacted.  He stated that “the 2.5 mm (per) 

blow is only guidance, and not an absolute limit.  But it is reasonable that CAPWAP 

would be a lower bound solution at very high resistances” (Likins, pers. com. 2011). It 

was decided that a cutoff of 15 blows per 25 mm was sufficient.  

Another important piece of information taken from the PDA reports were the 

measured shaft and toe resistances measured from using CAPWAP.  Knowing the toe 

resistance in relation to the shaft resistance was also a good initial indicator of whether or 

not the pile was driven to rock.  As discussed in Chapter 2, since multiple sources (e.g. 

CFEM, 2006)  suggested that piles should be re-tested because of potential changes in 

pile resistance over time, only piles tested under restrike conditions were considered for 

this project.  For some sites, PDA-W analysis had been completed, yet CAPWAP was not 

carried out; for these sites CAPWAP was completed using the PDA-W data by the author 

for the sake of this project.  The results of these analyses are provided in Appendix A. 

The location and depth of the piles selected were also necessary for the use of 

PDA data.  Only piles with a listed value for pile toe elevation were selected.  Since 

grade level changes frequently throughout the life of a project, PDA reports that only 

listed pile driven depths were not included because it was unclear as to the exact location 

of the pile toe.  It was also a requirement that all PDA reports include a pile location map 

or contained detailed information on the pile locations so that the location of each pile on 

the site was evident.  Individual pile driving records describing blow count information 

with varying depth in the pile driving process were not a requirement, but were helpful in 

determining the depth to which the pile was driven into the rock. 

3.1.3 Geotechnical Site Investigation Requirements 

For sites with “complete” pile information and toe bearing conditions, as well as PDA 

files, geotechnical site investigation reports had to be found for the corresponding job 

sites.  Many of the job sites had companies other than Stantec complete these reports 

meaning that these reports were not always readily available.  There were also other sites 
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on which only very limited geotechnical site investigations were carried out.  On some of 

the smaller PDA job sites, no site investigations were completed.  Having a geotechnical 

site investigation is very important for the knowledge of the site geology at the toe of the 

driven pile.  Geotechnical site investigation reports contain all borehole data, giving 

details of the soil layers and details of the rock at the pile toe.  Soil and rock elevations, 

detailed descriptions of the rock type and RQD values are all given in this borehole data.  

In some of the larger sites, unconfined compressive stress tests were also carried out, 

which would define the strength of the rock in each borehole. 

It was also a requirement that borehole locations be well documented for a job site 

for the data to be included in the research.  Data was not useful if the PDA data and 

geotechnical site investigation could not be linked since it is unknown whether or not the 

pile penetrates the bedrock (and to what degree).  Rock type and depth often changes 

throughout a particular site so matching piles with boreholes in the same proximity was 

essential to ensure proper data collection. 

Geotechnical site investigation reports often include results from unconfined 

compressive strength tests; however in some cases these tests were never performed.  If 

unconfined compressive stress tests were not carried out, an estimate of the unconfined 

compressive stress made from point load test was deemed sufficient.  A large portion of 

the site reports reviewed had completed neither of these tests, so if the rock cores were 

still in the basement at Stantec Consulting Limited, an unconfined compressive strength 

test was carried out  if a core of acceptable length could be retrieved (ASTM D7012-10, 

2010).  If insufficient core length could not be obtained, the standard for point load 

testing (ASTM D5731-08, 2008) was performed and the unconfined compressive stress 

was determined with the results.  Unfortunately there were many cases where unconfined 

compressive strength data was lacking and no rock cores were available.  As most pile 

toe capacity estimates are based on unconfined compressive strength of the rock, it was 

decided that sites without unconfined compressive strength testing would not be used in 

the research. 

The schematic in Figure 8 summarizes the process that was used in order to collect 

data as outlined in the previous sections of the report. 
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Required 
 

 Steel H-Piles or 
steel open ended 
pipe piles 

 Pile must come 
into contact with 
rock 

  

 Measured toe 
resistance 

 Pile toe elevation 
 Pile location on site 

(pile map) 
 Blows per 25 mm 
 Pile type and size 

 
 

 Unconfined 
compressive 
strength 

 RQD 
 Rock profile, 

elevation and type 
 Borehole locations 

Other N/A 

 Measured frictional 
(shaft) resistance 

 Details on hammer 
type 

 Hammer energy 
 CAPWAP damping 

and quake 
constants 

 Pile driven depth 

 Soil stratification 
 Weathering/ 

fractures 
descriptions 

 SPT N values of soil 
 Depth of water table 
 Other specific soil 

and soil testing 
details 

 

Figure 8 Data collection stages. 

3.2 SELECTED SITE DATA 

Pile data analyzed was not restricted to any certain type of construction project, however 

the majority of the projects used were bridge, overpass or interchange projects.  This is 

mainly due to these projects using pile based foundations more frequently.  Other projects 

used contained commercial and municipal building foundations.  Table 4 below displays 

all required parameters for each job site.  A checklist of the required parameters for some 

of the analyzed sites considered for this database can be seen in Appendix B. 
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Table 4  Selected Pile Details 

Site Number Pile Type 
Base 
Area 
(m2) 

Base  
Width  

(m) 

Shaft  
Area 

(m2/m) 
t (m) 

Hammer 
Energy 

(kJ) 
1 1056734 OEPP 324X9.5 0.00939 0.324 1.018 0.0095 18-25 
2 1017681 HP 360X132^ 0.03114 0.360 2.154 0.0156 31-38 
    HP 360X132 0.01690 0.360 2.154 0.0156 31-38 
3 121612385 HP 360X152 0.01940 0.36 2.172 0.0179 28-37 
    HP 360X152 0.01940 0.36 2.172 0.0179 28-37 
    OEPP 508X12.7 0.01976 0.508 1.596 0.0127 28-37 
    OEPP 508X12.7 0.01976 0.508 1.596 0.0127 28-37 
4 1046136 HP 12X74 0.01406 0.31 1.827 0.0155 34-40 
5 121613582 HP 360X152 0.01940 0.36 2.172 0.0179 23-29 
6 121613585 HP 310X110 0.0141 0.31 1.826 0.0154 9-11 
7 121611479 HP 310X110 0.0141 0.31 1.826 0.0154 36-42 
    HP 310X110 0.0141 0.31 1.826 0.0154 37 
8 7892J HP 310X132 0.01670 0.31 1.843 0.0183 27-37 
9 121910609 HP310X79 0.01000 0.31 1.804 0.0110 24-42 

10 121614157 HP310X110 0.0141 0.31 1.826 0.0154 26-35 
 

^Pile included steel welded plates in addition to the pile size. 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 



34 

 

Table 4 continued. 

Site Number 
Shaft in 
Rock* 

(m) 

RQD 
(%) 

Shaft 
Resistance 

(kN) 

Toe 
Resistance 

(kN) 

blows/ 
25mm 

qu 
(MPa) 

Core 
Rec.# 
(%) 

1 1056734 0.15 62 589 736 5 8 5 
2 1017681 7.5 13 1482 1736 9 10 100 
    4 13 2729 950 12 10 100 
3 121612385 2.15 61 984 2077 12 18 81 
    2.59 17 880 1973 12 8.5 45 
    1.36 62 228 2469 9 14.3 100 
    1.26 76 617 3180 15 14.3 100 
4 1046136 2.2 64.5 761 1205 15 8 100 
5 121613582 7.03 41.1 1492 894 8 16 100 
6 121613585 0.52 17 487 791 13 5.4 40 
7 121611479 1.95 38.5 1715 915 10 9.9 93 
    6.91 1 1409 967 12 8.1 4 
8 7892J 0 79 983 2057 13 10 - 
9 121910609 3.7 70 1338 762 8 10.8 95 
10 121614157 0.66 11 1471 1440 13 15 40 

 

*Shaft in rock is elevation of rock face minus pile toe elevation 

#Core recovery % is length of core recovered divided by total rock depth
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Table 4 continued. 
 
Site Number Rock Description 

1 1056734 Very weak/soft slightly fractured reddish brown sandstone    
2 1017681 Very severely fractured weak fresh dark grey shale (completely weathered top meter) 
    Very severely fractured weak fresh dark grey shale (completely weathered top meter) 
3 121612385 Poor to good quality red sandstone.   
    Very poor to poor quality red sandstone.   
    Poor to good quality red sandstone.   
    Poor to good quality red sandstone.   
4 1046136 Poor to fair quality, slightly weathered light brown sandstone/mudstone   
5 121613582 Fair to good quality, slightly to highly weathered mudstone.   
6 121613585 Moderately to highly weathered, moderately to highly fractured mudstone. Poor quality. 
7 121611479 Moderately fractured, low strength, white-grey Gypsum/Anhydrite.   
    Highly fractured, very low strength, light grey mudstone.   
8 7892J Reddish brown medium to coarse-grained weak to medium strong sandstone   
9 121910609 Very weak fine grained reddish brown sandstone interbed w/ hard reddish brown mudstone 

10 121614157 Very poor to poor brown mudstone.       
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Table 4 continued. 
 

Site Number BOR/EOID CAPWAP? Notes 
1 1056734 BOR Yes Only one BH to rock BHs to east of hanger. Average strength of unconfined test. 
2 1017681 BOR No Pile driving record says nearest BH2. Pile has steel welded plates added to it. 
    BOR No Pile driving record says nearest BH2.   
3 121612385 BOR Yes North Abutment. Used BH 1 and BH 8 data.   
    BOR Yes South Abutment. Used BH 4 and BH 5 data. Only in mudstone.   
    BOR ? Pier. Used BH 7 data.   
    BOR ? Pier. Used BH 3 and BH 6 data.   
4 1046136 BOR Yes Used BH 2 & BH 3.   
5 121613582 BOR ? Assumed BH 8.   
6 121613585 BOR Yes Between BH 1 and BH 2, closest to 2.   
7 121611479 BOR Yes Nearest to BH 9. Used Maritime Testing BH log.   
    BOR Yes Nearest to BH 4. Used Maritime Testing BH log.   
8 7892J BOR No BH 109.    
9 121910609 BOR No Used average of BH 101 and BH 103 (almost exactly halfway between) 

10 121614157 BOR Yes Used BH 2.         
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3.3 SUMMARY AND CONCLUSIONS 

A screening process has been developed and presented for determining “good” quality 

data for the further analysis of the approaches discussed in Chapter 2.  As discussed, over 

100 pile projects were assessed for potential inclusion in the database to be used for this 

research. After following the screening procedure adopted, only 15 pile records were 

selected to be used in the data base. A comparison of these “high quality” measured pile 

predictions will be used in the following chapter to compare to the various pile prediction 

methods presented in Chapter 2.  
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CHAPTER 4 RESULTS AND DISCUSSION 

4.1 ANALYZING DIRECT EMPIRICAL DESIGN METHODS 

Methods to predict toe capacity of piles in rock found in the literature review have a 

common theme; there is some direct relationship of the ultimate pile toe capacity to the 

unconfined compressive strength of the rock.  The method proposed by Coates (1980) is 

based purely on rock mechanics for drilled sockets but involves a simple linear 

relationship to the unconfined compressive strength of the rock.  Another relationship by 

Rowe and Armitage (1987) is developed based on static load testing of drilled sockets 

found in the literature.  A third method reviewed, that was proposed by Rehnman and 

Broms (1971) is the only one of these three methods that is specific to driven piles. 

In order to assess the appropriateness of these various methods to predict toe 

capacity for driven small displacement piles on rock based on simple relationships to 

unconfined compressive strength of the rock, the data that met the filtration criteria 

described in Chapter 3 was used. The unconfined compressive strength of the rock was 

plotted versus measured toe resistance from PDA records for each of the driven low 

displacement steel piles. A linear regression through the origin was then fit to this data.   

The slope of this line is given as  in equation 35 below: 

 

[35]   

 

Since the data from the PDA files display the pile toe resistance in the form of a 

force, all resistances were divided by the net steel pile toe area.  For the best fit line 

developed for this data set, a series of confidence intervals were also plotted for this data 

to provide a qualitative assessment on how reliable the data is relative to the best-fit line.  

The plot developed for the data set, including a best fit line and different confidence 

intervals (95%, 98%, 99.9% and 99.99%) can be seen in Figure 9.  Manual calculations 

of the regression analysis using the method in Mendenhall and Sincich (1996) were 

performed as a check on the Microsoft Excel© generated regressions.   
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Figure 9 Data set containing confidence intervals 
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Examining Figure 9, a “η” value of 7.5 is the slope of the best fit regression line 

through the data. The R2 value for this best fit is not surprising poor, given the scatter and 

limited amount of data used in the regression. To further analyze the variability of the 

data, various confidence intervals were calculated for the fit of the data. Confidence 

intervals are shown in Figure 9 for increasing levels of confidence. The slopes (i.e. “η”) 

of these lines are provided in Table 5 to provide an estimate of upper and lower bounds to 

the fits of the regression at the different confidence levels.  It is evident that one data 

point (16, 46) tends to skew not only the best fit line of the data, but also the confidence 

intervals.  This also leads to some of the higher values of “qt” residing outside of the 

99.99% confidence interval although they tend to coincide with the majority of the rest of 

the data.  This outlying data point (16, 46) comes from site number 121613582.  The data 

collection process outlined in Chapter 3 provides no reason to remove this data point and 

hence it remained in the data set.  Although the entire rock core was recovered for the 

borehole for this pile, the geotechnical site investigation states that the majority of the 

recovered rock was too weathered to be tested and that zones of weaker rock may have 

been encountered.  This means that this outlier may exist simply because the rock core 

tested was not representative of the rock on site.  If anything, this data point provides a 

reminder of the nature of empirical design methods and how even lower bounds can be 

exceeded in some cases.  It is apparent however, that the 98% confidence limits 

“envelopes” the lower bound data with the exception of this point.  

 

Table 5  Confidence interval slopes for best fit of data set 

Interval (%) Lower Bound Upper Bound 
95 5.9 9.1 
98 5.5 9.4 

99.9 4.4 10.5 
99.99 3.5 11.4 

 

Comparing the slopes of the upper and lower bound confidence limits to the 

literature relationships discussed earlier provides some context between the result of the 

PDA results in this study and the studies presented in the literature.  A plot of the data, 

along with the 99.99% confidence limits can be seen in Figure 10.  On this plot, there are 
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lines representing Coates (1981) and Rowe and Armitage (1987) as well as three lines for 

Rehnman and Broms (1971) (one for a factor of 4, 5 and 6 respectively) to compare these 

methods to the best fit of the data.   
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Figure 10 Comparison of direct empirical methods 
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Figure 10 shows that the best fit value of “η” of 7.5 obtained from the regression 

analysis is much higher than all of the empirical methods discussed; the closest method is 

that of the upper value of 6 suggested by Rehnman and Broms (1971) for granite rocks.  

The studies by Rehnman and Broms (1971) had minimal penetration of the steel pile into 

the rock sample and hence the results from this investigation where some embedment of 

the pile toe into the rock would result in slightly higher values.  

When considering the 99.99% confidence interval in Figure 10, Coates (1981) is 

on the conservative side of this lower interval.  Rehnman and Broms (1971) with a factor 

of 4 is slightly above this same confidence interval.  Lastly, it can be seen that Rowe and 

Armitage (1987) is the most conservative in comparison to the other methods for this data 

set.  It is not surprising that this method is conservative.  As mentioned in Chapter 2, this 

is an empirical method for drilled sockets.  Since socketing into rock tends to be effected 

more by rock discontinuities, it was expected that this methods would be conservative 

when applying them to low displacement, steel driven piles.  Since Rowe and Armitage 

(1987) was based on the results of pile load testing that was not completed to failure, it 

was expected that it would be very conservative.  Coates (1981) is also conservative in all 

cases, but may be the most appropriate method when considering the extreme case of the 

99.99% confidence interval. 

4.1.1 Considering a Power Function Best Fit Line 

The method proposed by Zhang and Einstein (1998) is based on the best fit of a 

collection drilled sockets found in literature but also utilizes a power curve fit to the field 

data.  To examine the applicability of this method, a power function was used to 

represent the best fit of the data set.  The data points were placed on a logarithmic scale 

and were fitted with a best fit relationship as follows: 

 

[36]   

  

The fit of this line as well as the parameters for the power fit suggested by Zhang and 

Einstein (1998) are plotted in Figure 11. Other methods as shown by the legend on Figure 

11 were also plotted for comparison. 
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Figure 11 Comparing Zhang and Einstein (1998) and Rehnman and Broms (1971)  
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While examining the power fit to the data set as completed in Figure 11, it was 

found that a “η” of 31.9 and a “υ” value of 0.40 provide the best fit, although it appears 

that this data set does not conform well to this type of fit.  Figure 11 shows that Zhang 

and Einstein (1998) tends to greatly underestimate the ultimate pile toe resistance for 

driven steel piles and that Rehnman and Broms (1971) is a much better representation of 

the data. 

4.1.2 Analyzing Hoek and Brown (1980) Empirically 

For analysis purposes, Hoek and Brown (1980) is a slightly different case than those 

described above.  This method is very highly dependent on the aperture of 

discontinuities. Discontinuity aperture is a parameter that the author had no access to and 

had no means of estimating.  For this reason, there was no way to calculate pile toe 

resistances using this equation with the data obtained.  However, it was possible to 

evaluate this method through the calculated values of “α” that were determined in 

Chapter 2 in Table 3.  Using Table 2 with Table 4, it can be seen that all rock types for 

piles used in the data base can be classified as rock types A, B and C.  In Table 3, 

“excellent” rock quality for these types of rock exhibit “α” values that range from 3.83 to 

6.1.  When comparing these values to the confidence intervals in Figures 9 and 10, these 

values match up quite well with what would be desired for an estimated pile toe capacity 

method with this data set.  However, Table 4 shows that the rock descriptions for this 

data base range from “very poor” to “good” since these rocks contain a varying degree of 

weathering.  This means that according to rock descriptions available for these sites, the 

“α” values should be between 0 and 0.93 for all of these points, so this method would 

give conservative toe resistances for the data presented.  Since rock discontinuities tend 

to have less effect on the toe resistance of driven steel piles than on drilled caissons, it is 

possible that when using this method for small displacement, driven steel piles, the 

degree of weathering may be ignored. If the “excellent” range in rock strengths is the 

only description considered for small displacement, driven steel piles, this method would 

line up almost exactly with the range for Rehnman and Broms (1971). 
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4.2 LADANYI AND ROY (1971) 

As discussed in Chapter 2, Ladanyi and Roy (1971) is a method developed for socketed 

piles and hence there is some ambiguity in its application to small displacement driven 

steel piles.  For the discussion to follow, the ultimate calculated toe resistance, in unit of 

force, will be calculated using the net steel area of the pile.  For the Ladanyi and Roy 

(1971) method, the base of the pile, B, is essentially the width of the socket considered. 

Although the width of a steel pile such as that examined in this thesis may be similar, the 

actual contact width of a driven small displacement steel pile is likely not as large as 

these socketed piles (see Figure 12).  Since the pile thickness is much smaller than the 

base of a socketed pile, its stress distribution will have an influence on fewer 

discontinuities in the rock (see Figure 13).  This suggests that discontinuities should have 

a much smaller effect on the calculation of pile toe resistance if considering the steel pile 

thickness rather than steel pile base. For this research, the width of the steel pile, B, is 

referred to as B1 in Figure 12. For a small displacement steel pile such as an H-pile or 

open-ended pipe pile, the width of the pile could also be considered as the width of the 

steel in contact with the rock, shown as B2 in Figure 12. 

 

 
Figure 12 Definition of B1 and B2 for small displacement piles examined in this thesis 

 

  Table 1, presented in Chapter 2, was developed using equation 19 with typical 

pile widths, B1, for sockets (i.e. large pile width).  For the given B2 situation shown above 

(i.e. small pile width), values of Ksp will be much higher than those in Table 1 and hence 
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equation 19 as used in CFEM (2006) was used to determine Ksp for this situation.  For the 

cases in this research, equations 21 and 22, developed by Priest and Hudson (1976), were 

used to estimate spacing of discontinuities from values of RQD in the database.  Aperture 

of discontinuities was lacking from all borehole records and hence a median value of 

0.005 (see Figure 1) was assumed for calculations.  It is also important to note that when 

B2 was used to calculate Ksp , the same B2 was also used to calculate “d” for the sake of 

consistency.  The parameter “d” in equation 18 also remained limited to a value of 3.     

 

 
Figure 13 Zone of influence example for B1 and B2 

 

Ladanyi and Roy (1971) is somewhat different than the methods discussed in 

Section 4.1 in that for these previous methods, only the unconfined compressive strength 

of the rock was required for estimating the ultimate toe capacity of the pile.  For Ladanyi 

and Roy (1971) as described in the CFEM (2006), there are three parameters required to 

estimate this toe capacity: the unconfined compressive strength, the depth factor (d) and 

“Ksp”.  Therefore, producing plots similar to those in section 4.1 (i.e. in terms of rock 

strength versus measured pile toe capacity) was not possible as these three parameters 

could potentially vary for each data set. To compare the calculated and measured toe 

resistances, plots were produced with calculated values on the x-axis and measured 

values on the y-axis.  The best fit of the data, with a slope of “η” can be described using 

the following equation: 
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[37]   

 

Where: 

qtc = ultimate calculated toe bearing capacity (F/L2) 

 

For equation 37, qt represents the ultimate measured toe bearing capacity, while qtc is its 

calculated counterpart.  Each plot in this section (Figure 14-16) contains a solid line 

which establishes equality between calculated and measured values (i.e. the 1:1 line). 

This line is useful to include on the plots as it distinguishes where the calculated ultimate 

toe capacity exceeds the measured ultimate toe capacity. 

4.2.1 Pile Width, B1 

A summary of the pile and rock parameters used (i.e. “qu”, calculated values for 

discontinuity spacing, “Ksp” and “d”) for this approach is shown in Table 6. For each pile 

in this thesis, the discontinuity spacing fell within (or below) the 0.3 to 1m range found in 

Table 1, which led to a Ksp of 0.1.   The plot of calculated versus measured pile toe 

capacity for this method can be seen in Figure 14.  A factor of safety of 3 was used to 

“un-factor” Ksp. 
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Table 6  Inputs to Ladanyi and Roy (1971) as per CFEM (2006) using B1 

Number qu 
(MPa) 

B1   
(m) 

Spacing 
(m) Ksp Id 

1056734 8 0.32 0.033 0.1 1.19 
1017681 10 0.40 0.028 0.1 3.00 

  10 0.36 0.028 0.1 3.00 
121612385 18 0.36 0.033 0.1 3.00 

  8.5 0.36 0.031 0.1 3.00 
  14.3 0.508 0.033 0.1 2.07 
  14.3 0.508 0.033 0.1 1.99 

1046136 8 0.31 0.033 0.1 3.00 
121613582 16 0.36 0.050 0.1 3.00 
121613585 5.4 0.31 0.031 0.1 1.67 
121611479 9.9 0.31 0.048 0.1 3.00 

  8.1 0.31 0.015 0.1 3.00 
7892J 10 0.31 0.033 0.1 1.00 

121910608.6 10.8 0.31 0.033 0.1 3.00 
121614157 15 0.31 0.027 0.1 1.85 

 

 
Figure 14 Ladanyi and Roy (1971) as per CFEM (2006), using B1 approach 

 

As can be seen, in Figure 14, the use of the pile width, B1, results in very conservative 

calculations of toe resistance.  The best fit line from Figure 14 demonstrates that with this 
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approach, the average measured ultimate toe resistance is 8.8 times larger than the 

calculated ultimate toe resistance. 

4.2.2 Pile Thickness, B2 

When using the pile thickness of B2, the calculated values for discontinuity 

spacing, “Ksp” and “d” can be seen below in Table 7.  Use of the pile thickness B2 had a 

significant effect on “d”; all values of “d” reached the maximum limitation except for the 

one case where the pile toe resided on the surface of the bedrock.  This change also had a 

significant effect on increasing the value of “Ksp”, as seen in Table 7. 

 
Table 7  Inputs to Ladanyi and Roy (1971) as per CFEM (2006) using reinterpreted B2 

Number qu 
(MPa) 

B2       
(m) 

Spacing 
(m) Ksp d 

1056734 8 0.0095 0.033 0.70 3.0 
1017681 10 0.0356 0.028 0.30 3.0 

  10 0.0156 0.028 0.30 3.0 
121612385 18 0.0179 0.033 0.45 3.0 

  8.5 0.0179 0.031 0.30 3.0 
  14.3 0.0127 0.033 0.57 3.0 
  14.3 0.0127 0.033 0.72 3.0 

1046136 8 0.0155 0.033 0.52 3.0 
121613582 16 0.0179 0.050 0.37 3.0 
121613585 5.4 0.0154 0.031 0.32 3.0 
121611479 9.9 0.0154 0.048 0.39 3.0 

  8.1 0.0154 0.015 0.25 3.0 
7892J 10 0.0183 0.033 0.59 1.0 

121910608.6 10.8 0.0110 0.033 0.71 3.0 
121614157 15 0.0154 0.027 0.30 3.0 

 

The plot of this reinterpreted approach, along with the best fit line of this data set 

and its 99.99% confidence interval can be seen in Figure 15.  Like in the previous 

section, the upper and lower slopes of these different confidence intervals were 

determined (for 95%, 98%, 99.9% and 99.99%) and are shown in Table 8. 
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Figure 15 Ladanyi and Roy (1971) as per CFEM (2006) using reinterpreted B2 approach 

 
Table 8  Ladanyi and Roy (1971) as per CFEM (2006) using reinterpreted B2 confidence 

intervals 

Interval (%) Lower Bound Upper Bound 
95 0.94 1.57 
98 0.87 1.65 

99.9 0.65 1.87 
99.99 0.47 2.05 

 

 As shown on Figure 15, the reinterpreted approach to using CFEM (2006) for 

small displacement, driven steel piles is much more effective than that examined in 

section 4.2.1.  This data set provided a “η” value of 1.26.  It can be seen that this best fit 

line is very close to the one to one line, but is still situated on its “conservative” side. 

 Since the other design methods in section 4.1 were analyzed based only rock 

strength, it is difficult to compare these results with that of section 4.1.  To provide some 

level of comparison, the best fit developed for the dataset in Section 4.1 was plotted in a 

similar fashion, in terms of calculated versus measured toe capacities.  The resultant 

confidence interval slopes can be seen in Table 9, while the plot with the best fit and 

99.99% confidence interval for the data set can be seen in Figure 16. 

qt = 1.26qtc 

0

50

100

150

200

250

0 25 50 75 100 125 150M
ea

su
re

d 
U

lti
m

at
e 

To
e 

Re
si

st
an

ce
, q

t (
M

Pa
) 

Calculated Ultimate Toe Resistance, qtc (MPa) 

CFEM (2006) using reinterpreted B2  

Tested
Piles

1 to 1

99.99%

Best Fit
Line



 

 52 

 
Figure 16 Chapter 4 “best fit” calculated vs. measured 

 

Table 9 Chapter 4 “best fit” confidence intervals using measured vs. calculated 

Interval (%) Lower Bound Upper Bound 
95 0.79 1.21 
98 0.74 1.26 

99.9 0.59 1.41 
99.99 0.47 1.53 

  

 Figure 16 shows that considering this best fit approach produces a “η” value of 

1.0, which lies exactly on the one to one slope.  Comparing Table 8 and Table 9 exhibits 

that the confidence intervals for the “best fit” approach developed in 4.2.1 provides 

comparable results to the B2 approach presented in this section, with CFEM (2006) being 

slightly more conservative.  All work completed in this section can be seen in Appendix 

C. 

4.3 SUMMARY AND CONCLUSIONS 

 When plotting the dataset of unconfined compressive strength versus ultimate 

measured pile toe capacity, the best fit of the data set was found to have a slope “η” of 

7.5.  The confidence intervals for this best fit line were also determined in order to 
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compare to existing design methodologies.  Overall, it was seen that most of the methods 

developed for drilled sockets were too conservative for the usage with small 

displacement, steel driven piles.  Zhang and Einstein (1998) and Rowe and Armitage 

(1987) were both proven to be excessively conservative in all cases.  Coates (1981) was 

also found to be too conservative for most cases, except when considering a 99.99% 

confidence interval.  The existing method that exhibited the best predictive ability for 

driven steel piles was the only empirical method developed for the intentions of being 

used for driven steel piles, the method that was developed by Rehnman and Broms 

(1971).  It was found that although for some cases using a factor of 6 may be appropriate, 

a factor of 4 or 5 would be more appropriate when considering more conservative 

confidence intervals. 

 By qualitative analysis, it was determined that Hoek and Brown (1980) was also 

likely too conservative when applied in the same manner as designed for drilled sockets. 

However, if it is assumed that joint weathering has little effect on the toe resistance of 

driven steel piles, besides its effect on rock strength, this method lines up well with 

Rehnman and Broms (1971).  Calculating ultimate toe resistances with this method was 

not possible due to the lack of rock joint aperture sizing from the data.   

Ladanyi and Roy (1971) as described in CFEM (2006) using pile width for a base 

(B1) was found to not be appropriate for usage with small displacement, driven steel 

piles.  This method was much too conservative in order to be considered a reasonable 

predictive method.  This method was reinterpreted by the author by using the pile 

thickness (B2) as the base.  The usage of the pile thickness was justified by considering 

the smaller zone of influence of a small displacement, driven steel pile in comparison to a 

more massive socketed pile.  This factor of B2 was used in the calculation of “Ksp” which 

led to much larger values of “Ksp”.  It was also used in the calculation of the depth factor, 

d.  The results for this method were found to be very similar to the results of the best fit 

line developed in Chapter 4; however it was slightly more conservative. 

 It was determined that both Rehnman and Broms (1971) and the reinterpreted 

version of CFEM (2006) as developed by Ladanyi and Roy (1971) exhibit the best 

predictive ability to determine ultimate toe capacity of small displacement, steel driven 

piles.  The one difference is that Rehnman and Broms (1971) is a very simple approach 
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that requires only unconfined compressive strength while Ladanyi and Roy (1971) 

requires a multitude of different variable parameters, some of which are frequently not 

determined for geotechnical projects (aperture and spacing of rock joints).  Given this, it 

can be seen that Rehnman and Broms (1971) would be useful for practical applications. 

The best fit line of this data set provides a real world sample of data that to the 

knowledge of the author, previously was not available.  Rowe and Armitage (1987) and 

Zhang and Einstein (1980) had collected field data sets for drilled sockets, but it is 

believed that before this, no similar data set for small displacement, driven steel piles 

have been analyzed.  While Rehnman and Broms (1971) and Ladanyi and Roy (1971) 

have both proven to be useful methodologies, both of these empirical methods were 

developed through smaller scale lab testing.  This resultant best fit line should provide 

engineers with the same estimating tool for small displacement, steel driven piles that 

Rowe and Armitage (1987) and Zhang and Einstein (1980) provided for drilled sockets. 
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CHAPTER 5 COMPARING EMPIRICAL RELATIONSHIP TO 

OTHER DATA SOURCES 

In Chapter 4, it was found that the best fit line of the database developed in Chapter 3 had 

a slope, “η”, of 7.5.  The slopes of the various confidence intervals ranging from 95% to 

99.99% for this best fit line were also presented.  This chapter will compare these 

relationships for toe capacity based on unconfined compressive strength data to data 

obtained, yet not included in this previous data set.  It will also compare these 

relationships to data from literature. These comparisons will be made in an attempt to 

verify the effectiveness of the relationships at predicting reasonable ultimate toe 

capacities of driven small displacement piles, particularly for design applications. 

5.1 STANTEC DATABASE CASES WITH MISSING ROCK STRENGTHS 

As discussed in Chapter 3, there were numerous piles not included in the database for 

various reasons.  Many piles were excluded from the database because the geotechnical 

site investigation for that site did not include the laboratory testing required to distinguish 

rock strength.  Without complete testing, specific rock strengths could not be used for the 

piles on the correlated site and the data was considered incomplete.   Although lacking 

numerical rock strength values, many of these sites contained detailed rock descriptions 

that could lead to an estimated value of rock strength.  Six of such sites will be discussed 

in this section.  Site details for the ten piles to be discussed from these six sites and their 

rock descriptions can be found in Table 10. 
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Table 10 Site details for piles lacking rock strengths 

Job 
Number Pile Pile Size Pile Toe 

(kN) 
Blows/ 
25 mm 

BOR/ 
EOID At (m2) qt 

(MPa) 
121612915 A HP360X152 1685 12 BOR 0.0194 86.9 

  B HP360X152 1731 12 BOR 0.0194 89.2 
S2297 C HP8X36 285 5 BOR 0.0068 41.7 

121612336 D OEPP508x12.7 2884 15 BOR 0.0198 145.9 
  E HP 360X174 2673 10 BOR 0.0222 120.4 

1031017 F OEPP 16X0.5 1569 9 BOR 0.0157 99.9 
11558 G HP310X110 1070 10 BOR 0.0141 75.9 

  H HP310X110 2161 6 BOR 0.0141 153.3 
  I HP310X110 1601 5 BOR 0.0141 113.5 
121614157 J HP310X110 1528 10 BOR 0.0141 108.4 
Job Number Rock Description 
121612915 Severely fractured to fractured, slightly weathered, fine grained sandstone. 

S2297 Highly weathered grey to brown, very weak to weak, closely jointed 
mudstone. 

121612336 Very poor to fair quality brown siltstone. Highly weathered. 
1031017 Highly to completely weathered, very soft to soft granite. (Near soil-like) 

11558 Fine grained sandstone bedrock (G).    
  Weathered sandstone (H,I)   

121614157 Very poor to fair brown mudstone (J)     
 

As can be seen, nine of these piles are bearing on sedimentary rock that can be 

classified as “very weak” or with “very low” rock strength.  The other pile (pile F from 

site 1031017) is on a near soil like granite formation.  Using the guidelines in the Stantec 

Consulting Limited geotechnical site investigation reports, this description implies a rock 

strength between 1 MPa and 25 MPa for these sites.  Table 10 shows that these piles 

contain all other constraints designated in Chapter 3 to be a requirement to be considered 

“good” data.   

In this analysis the expected value of unconfined compressive strength for each 

pile was determined by dividing the known measured pile toe capacity by the best fit of 

7.5.  These expected rock strengths, along with the upper and lower 99.99% confidence 

interval for each of these piles represented by an error bars, can be seen in Figure 17.  In 

Figure 17, the range of 1 to 25 MPa is represented by bolded lines.  The calculated ranges 

of the accepted rock strengths for each pile as designated by the 99.99% confidence 

intervals are displayed in Table 11. 
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Figure 17 Analyzing expecting rock strengths using best fit method 
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Table 11 Ranges of rock strengths for piles verifying best fit 

Rock Strengths (MPa) 
Job Number qt (MPa) -99.99% Best Fit 99.99% 
121612915 86.9 24.7 11.6 7.6 

  89.2 25.3 11.9 7.8 
S2297 41.7 11.8 5.6 3.6 

121612336 145.9 41.4 19.5 12.8 
  120.4 34.2 16.1 10.5 

1031017 99.9 28.4 13.3 8.7 
11558 75.9 21.5 10.1 6.6 

  153.3 43.5 20.4 13.4 
  113.5 32.2 15.1 9.9 

121614157 108.4 30.8 14.4 9.5 
  

 As can be seen in Figure 17, the majority of these piles fit this best fit range of 1 

to 25 MPa extremely well.  The best fit for all of these piles are between 5.6 MPa and 

20.4 MPa, with most of them landing near the exact middle of the 1 MPa to 25 MPa 

range.  The majority of the error bars for these piles also remain mostly in the 1 MPa to 

25 MPa range.  The 99.99% confidence interval error bars of six of these piles extend 

partially out of this expected rock strength range, and only two of them (121612336 D 

and 11558 H) extend out of this range to any considerable degree.  Overall, all of these 

piles appear to fit in very well with the previously established best fit line and its 

confidence interval range. 

5.2 USING MATSUMOTO ET. AL. (1995) 

Another way to evaluate the best fit range developed in Chapter 4 is to use data found 

from other sources in literature.  A search was made through literature for piles with data 

sets that were considered “complete” (as designated in Chapter 3).  It was discovered that 

piles in literature with “complete” data sets were extremely rare.  Most piles in literature 

provide little more than the rock type, and very few give so much as a detailed rock 

description.  Overall, only one pile, that which was found in Matsumoto et. al. (1995) 

provided an unconfined compressive strength. 

 Matsumoto et. al. (1995) examines the use of multiple steel driven piles on an 

extremely soft mudstone.  One pile, pile T1, contained adjacent cone penetration tests 
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results to describe the rock available on site.  This pile had a base area of 0.041 m2 and 

was found to have an ultimate toe resistance of 500 kN by static load testing.  An 

unconfined compressive strength test was completed (0.8 MPa), however it is unclear as 

to what depth that this rock was found.  The completed cone penetration test results 

allowed the author to estimate the unconfined compressive strength through calculation 

and to compare the result to this existing value.  At the base of pile T1, the measured cone 

tip resistance (qc) was about 3.2 MPa, while the measured pore water pressure between 

the piezocone tip (ubt) was about 1.35 MPa.  With this known information, the corrected 

cone tip resistance as described by Lunne et. al. (1997) can be calculated as follows: 

 

[38]   

 

Where: 

qTC = corrected cone tip resistance (F/L2) 

qc = cone tip resistance (F/L2) 

a = net area ratio (for cone penetrometer test) 

ubt = pore water pressure behind piezometer tip (F/L2) 

 

For this equation, the value of “a” is described in Lunne et. al. (1997) to range from 0.55 

to 0.9.  For this calculation, a value of 0.6 was assumed, as typical values are usually 

around the lower end of this range.  The unconfined compressive strength, qu, is twice the 

undrained shear strength.  Kulhawy and Mayne (1990) describes the empirical 

relationship used to determine the undrained shear strength from cone penetrometer 

testing: 

 

[39]   

Where: 

cu = undrained shear stress (F/L2) 

σvo = overburden stress (F/L2) 

Nk = cone bearing factor 
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The cone bearing factor, Nk, is typically decided empirically by calibration of the cone.  

Since this was not possible, the typical value of 9 found in Kulhawy and Mayne (1990) 

was used.  The overburden stress was estimated to be 144 kN/m2 using 8 m of soil and 

rock with an estimated unit weight of 18 kN/m3 (Coduto, 1999).  Overall, this lead to an 

undrained shear strength of 0.8 MPa, which in turn is exactly the same as that measured 

with the unconfined compressive strength test. 

 As seen in Figure 19, by comparing this unconfined compressive rock strength to 

the measured ultimate toe resistance, the best fit range determined in Chapter 4 could be 

evaluated.  The empirically estimated capacity was found to be very conservative because 

the measured ultimate pile toe capacity greatly surpasses the calculated ultimate pile 

capacity.  In this case, this was not surprising as the rock strength was low enough that it 

could actually be considered a soil. 

 

 
Figure 18 Verification of best fit range using Matsumoto et. al. (1995) 
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this relationship. It was found that this relationship would work well from a design 

perspective.  A pile case from the literature (Matsumoto, 1995) was also used in attempt 

to verify this range.  This attempt was not as successful, likely due to the extremely weak 

nature of the rock for this site. 
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CHAPTER 6 SUMMARY AND CONCLUSIONS 

6.1 SUMMARY AND CONCLUSIONS 

Small displacement driven steel piles are a very useful type of deep foundation for 

construction sites containing dense granular overburden soils and shallow bedrock 

because of the durable nature of steel and the ability to drive the small displacement piles 

through these soils conditions, to the rock.  Although this is a very practical construction 

method when considering a pile bearing on rock, design codes typically ignore this topic 

or simply suggest using engineering judgment and/or local experience.  The purpose of 

this thesis was to propose the most appropriate and accurate method of estimating 

ultimate toe capacity of small displacement driven steel piles by reviewing known 

methods.  It was hypothesized that the toe capacity could be adequately predicted with 

some level of reliability through the knowledge of geotechnical site information, 

including rock strength and depth and “complete” pile details. 

In Chapter 2, a collection of empirical and theoretical methods for determining 

pile toe capacity on rock was compiled.  The formation and basis of each of these 

methods was described in detail.  Only one method developed specifically for small 

displacement driven steel piles was found; that developed by Rehnman and Broms 

(1971).  A collection of methodologies for socketed pile toe capacity on rock was also 

included in this review.  It was believed by the author that these methods would likely be 

more conservative than Rehnman and Broms (1971) because the toe resistance of 

socketed piles is affected greater by rock discontinuities.  The drilled socket theories 

included in this thesis consist of methods by Bell (1915), Coates (1981), Rowe and 

Armitage (1987), Zhang and Einstein (1998), Ladanyi and Roy (1971) and Hoek and 

Brown (1980).  However, it was explained that if the effect of weathering on ultimate toe 

resistance for driven steel piles is minimal, Hoek and Brown (1980) is very comparable 

to Rehnman and Broms (1971). 

 The process for a data collection method was outlined.  For this thesis, only 

optimum, or “complete”, data points were included in the database.  Only small 

displacement, driven steel piles driven to rock were considered.  It was decided that piles 
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enduring a maximum of 15 hammer blows per 25 mm of driving would be permitted in 

the inclusion in this database to ensure full pile mobilization.  All piles were also required 

to have a measure pile toe resistance determined through re-strike conditions and have a 

listed pile toe elevation.  It was deemed necessary for the geotechnical site investigation 

for each pile to include an unconfined compressive strength, RQD, rock profile and rock 

elevations.  Detailed mapping for both boreholes and pile locations were required for 

each site.  Hammer energy and rock core recovery were also considered in the process. 

The final database contained 15 piles from 10 different construction sites.  The 

parameters for each of these sites were presented in Chapter 4. 

When considering the database in Chapter 3, a best fit line of the database 

comparing ultimate measured pile toe capacity to unconfined compressive strength rock 

for small displacement driven steel piles was plotted.  It was found that this relationship 

produced a best fit line of 7.5qu.  Confidence intervals of 95%, 98%, 99.9% and 99.99% 

were also determined for this best fit line using regression analysis.  This collection of 

data and the suggested design approach (i.e. best fit line), to the knowledge of the author, 

is the first of its kind for small displacement driven steel piles on rock.  

 This best fit line and its confidence intervals were used to analyze the 

effectiveness of the empirical and theoretical methods collected in Chapter 2.  Section 4.1 

inspected the methods that could directly relate ultimate pile toe capacity and unconfined 

compressive strength.  It was found that Zhang and Einstein (1998) and Rowe and 

Armitage (1987) were very conservative.  Coates (1981) also proved to be too 

conservative as well except when considering the 99.99% confidence interval of the best 

fit line.  It was not surprising that these methods proved to be conservative when applied 

to small displacement, driven steel piles because they are all methods designed for drilled 

sockets.  The existing linear method found to best exemplify this best fit relationship was 

that by Rehnman and Broms (1971).  This was as expected because it was the only 

method examined with the intended purpose of being used for small displacement driven 

steel piles.  It was found that using a factor between 4 and 5 with Rehnman and Broms 

(1971) was most effective when taking the confidence intervals of the best fit line into 

consideration. 
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 Section 4.2 analyzed the method suggested by Ladanyi and Roy (1971) as 

displayed in CFEM (2006).  This section investigated two approaches to this method; the 

use of the pile width (B1) for the pile base and a reinterpreted approach of using the pile 

thickness (B2) for the pile base.  The justification of the reinterpreted method is based on 

the effect that the small displacement pile will have on rock discontinuities when 

compared to a larger drilled socket, for which the equation was originally intended.  It 

was found that using B1 led to this method being over eight times too conservative.  

Using CFEM (2006) with B2 proved to be more accurate.  This method was determined 

to only be about 1.25 times too conservative in comparison with the best fit line 

developed in Section 4.1. 

 Overall, it was found that the two most effective existing methods of estimating 

ultimate pile toe resistance of small displacement driven steel piles were Rehnman and 

Broms (1971) and the reinterpreted application of Ladanyi and Roy (1971) as described 

in CFEM (2006).  The difference between these two methods is that Rehnman and Broms 

(1971) requires only one parameter, the unconfined compressive strength, and thus is 

quicker and more efficient to use.  

In Chapter 5, the best fit line of 7.5qu developed in Chapter 4 was evaluated using 

data from other sources.  Ten piles obtained from the records of Stantec Consultants Inc. 

were considered.  These piles contained geotechnical site investigations without rock 

strengths; however, detailed rock descriptions were present in these reports.  Using an 

estimated range of rock strengths determined from the rock description, the best fit line 

was evaluated and determined to be appropriate for these piles.  A pile from Matsumoto 

et. al. (1995) was also used to evaluate this best fit.  This pile was found to not conform 

to the best fit line, possible because of the particularly weak nature of the rock profile on 

this site. 

6.2 RECOMMENDATIONS FOR FUTURE WORK  

The results produced in this thesis are promising, but are based on a collection of only 15 

piles.  Compiling a larger database of piles could help refine the best fit line developed in 

this thesis and to shrink the range of the confidence intervals for this data set.  It would be 
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even more beneficial if the additions to this database included a wide range rock types 

from different locations in addition to the piles collected from Atlantic Canada. 

  It is also recommended that the theory for Ladanyi and Roy (1971) be expanded 

for the usage with driven steel piles.  It was demonstrated in Chapter 4 that there is a 

strong relationship using this method when considering the reinterpreted base size (B2) 

suggested by the author.  It would be very beneficial to engineers if this reinterpreted 

application could be proven theoretically.  It would also be a good idea for the theory of 

the depth of embedment with Ladanyi and Roy (1971) to be re-examined.  It was found 

that when using the reinterpreted depth size (B2) that this value reached its maximum 

very easily since the thickness is very thin in comparison to the depth of embedment. 

It should be noted that the work completed in this thesis was based solely on the ultimate 

toe capacity driven of small displacement steel driven piles.  In no way was the 

estimation of pile settlement taken into consideration.  Although it is expected that 

settlement of piles bearing on rock is not likely to be a major issue, it is recommended 

that this aspect be investigated. 
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APPENDIX B: JOB CHECKLIST AND DATA 
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APPENDIX C: LADANYI AND ROY (1971) ANALYSIS 
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